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1. INTRODUCTION

Catastrophic flash flooding occurs when a dam is breached and the
impounded water escapes through the breach into the downstream valley.
Usually the response time available for warning is much shorter than
for precipitation-runoff floods. Dam failures zre often caused by
overtopping of the dam due to inadequate spillway capacity during large
inflows to the reservoir from heavy precipitation runoff. Dam failures
may also be caused by seepage or piping through the dam or along internal
conduits, slope embankment slides, earthquake dzzage and liquefaction
of earthen dams from earthquakes, and landslide-generated waves within
the reservoir. Middlebrooks (1952) describes earthen dam failures
occurring within the U.S. prior to 1951. Johnsca and Illes (1976)
summarize 300 dam failures throughout the world.

The potential for catastrophic flooding due to dam failures has
recently been brought to the Nation's attention by several dam failures
such as the Buffalo Creek coal-waste dam, the Toccoa Dam, the Teton
Dam, and the Laurel Run Dam. A report by the U.S. Army (1975) gives
an inventory of the Nation's approximately 50,000 dams with heights
greater than 25 ft. or storage volumes in excess of 50 acre-ft. The
report also classifies some 20,000 of thesa as taing "so located
that failure of the dam could result in loss of human life and

appreciable property damage...." ’

The National Weather Service (NWS) has the
advise the pudiiz of downstream flooding when th
a dam. Although this type of flood has many sizilaritizs to floods
produced by precipitation runoff, the dam-break flood has some very
important differences which make it difficult tc analyze with the
common techniques which have worked so well for the precipitation-
runoff floods. To aid NWS flash flood hydrologists who are called
"upon to forecast the downstream flooding (flood inundation informa-
tion and warning times) resulting from dam-failures, a numerical model
(DAMBRK) has been recently developed. Herein is presented an outline
of the model's theoretical basis, its predictive capabilities, and
ways of utilizing the model for forecasting of dam-break floods.

The DAMBRK model may also be used for a multitude of purposes by
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planners, designers, and analysts vho are concerned with possible
future or historical flood inundation mapping due to dam-break Zloods
and/or reservoir spillway floods, or any specified flood hydrogz-aph.

2. MODEL DEVELOPMENT

The DAMBRK model attempts to represent the current state-—oI-the-
art in understanding of dam failures and the utilization of hydro-
dynamic theory to predict the dam-break wave formation and downstream
progression. The model has wide applicability; it can function with
various levels of input data ranging from rough estimates to ccaplete
data specification; the required data is readily accessible; and it
is economically feasible to use, i.e., it requires a minimal cczpu-
tation effort on large computing facilities.

The model consists of three functional parts, namely: (1) de-
scription of the dam failure mode, i.e., the temporal and geometrical
description of the breach; (2) computation of the time history
(hydrograph) of the outflow through the breach as affected by tkhe
breach description, reservoir inflow, reservoir storage characteristics,
spillway outflows, and downstream tailwater elevations; and
(3) routing of the outflow hydrograph through the downstream valley
in order to determine the changes in the hydrograph due to valiey
storage, frictional resistance, downstream bridges or dams, and to
deternine the resulting water surface elevations (stages) and flood-
wave travel times.

DAMBRK is an expanded version of a practical operational codel
first presented in 1977 by the author (Fread, 1977). That model was
based on previous work by the author on modeling breached dams (Fread
and Harbaugh, 1973) and routing of flood waves (Fread, 1974, 1976).
There have been a number of other operational dam-break models that
have appeared recently in the literature, e.g., Price, et al. (1977),
Cundlach and Thomas (1977), Thomas (1977), Keefer and Simons (1977),
Chen and Druffel (1977), Balloffer, et al. (1974), Balloffet (1377),
Brown aad Rogers (1777), Rajar (1978), Brevard and Theurer (1973).
DAMBRK differs from each of these models in the treatment of ths breach
formation, the outflow hydrograph generation, arid the downstreaa flood
routing.

2.1 Breach Description

The breach is the opening formed in the dam as it fails. 7The
actual failure mechanics are not well understood for either earthen
or concrete dams. In previous attempts to predict downstream flooding
due to dam failures, it was usually assumed that the dam failed
completely and instantaneously. Investigators of dam-break fleccd
waves such as Ritter (1892), Schocklitsch (1891), Ré (1946),
Dressler (1954), Stoker (1957), Su and Barmes (1969), and Sakkas
and Strelkoff (1973) assumed the breach encompasses the entire cam



and that it occurs instantaneously. Others, such as Schocklitz (1891)
and Army Corps of Engineers (1960, 1961), have racognized the need to
assume partial rather than complete breaches; hcuwever, they assumed
the breach occurred instantaneously. The assucptions of instantaneous
and complete breaches were used for reasons of convenience when apply-
ing certain mathematical techniques for analyzing dam-break flood
waves. These assumptions are somewhat approprizte for concrete arch-
type dams, but they are not appropriate for earthen dams and concrete
gravity-type dams.

Earthen dams which exceedingly outnumber all other types of dams
do not tend to completely fail, nor do they fail instantaneously.
The fully formed breach in earthen dams tends to have an average
width (b) in the range (hg < b < 3hy) where_hjy is the height of the
dam., The middle portion of this range for b is supported by the
summary report of Johnson and Illes (1976). Breach widths for
earthen dams are therefore usually much less than the total length
of the dam as measured across the valley. Also, the breach requires
" a finite interval of time for its formation through erosion of the
dam materials by the escaping water. Total time of failure may be
in the range of a few minutes to a few hours, depending on the height
of the dam, the type of materials used in construction, the extent
of compaction of the materials, and the extent (magnitude and duration)
of the overtopping flow of the escaping water. Piping failures occur
when initial breach formation takes place at soz2 point below the
top of the dam due to erosion of an internal chzanel through the dam
by escaping water. As the erosion proceeds, a larger and larger
opening is formed; this is eventually hastened by caving—in of the
top portion of the dam.

Concrete gravity dams also tend to have a partial breach as one
or more monolith sections formed during the construction of the dam
are forced apart by the escaping water. The tine for breach
formation is in the range of a few minutes.

Poorly constructaed earthen dams and coal-waste slag piles which
impound water tend to fail within a few minutes, and have average
breach widths in the upper range or even greater than those for the
earthen dams mentioned above.

Cristofano (1965) attemptad to model the partial, time-dependent
breach formation in earthen dams; however, this procedure requires
critical assumptions and specification of unknown critical parameter
values. Also, Harris and Wagner (1967) used a sadiment transport
relation to determine the time for breach formation, but this proce-
dure requires specification of breach size and shape in addition to
two critical parameters for the sediment transport relation.

For reasons of simplicity, generality, wide applicability, and
the uncertainty in the actual failure mechanism, the NWS DAMBRK
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model allows the forecaster to input the failure time interval (t)
and the terminal size and shape of the breach (Fread and Harbaugh,
1973). The shape (see Fig. 1) is specified by a parameter (z)
identifying the side slope of the breach, i.e., 1 vertical: z hori-
zontal slope. The range of z values is: O S z £ 2. Rectangular,

Fig.1— FRONT VIEW OF DAM SHOWING FORMATION OF BREACH

triangular, or trapezoidal shapes may be specified in this way. For
example, z=0 and b>0 produces a rectangular shape; z>0, b=0 produces

a triangular shape; and z>0, b>0 produces a trapezoidal shape. The
final breach size is controlled by the z parameter and another parameter
(b) which is the terminal width of the bottom of the breach. As shown
in Fig. 1, the model assumes the breach bottom width starts at a point
and enlarges at a linear rate over the failure time interval (t)

until the terminal width is attained and the breach bottom has eroded

to the elevation hy, which is usually, but not necessarily, the bottom
of the reservoir or outlet channel bottom. If 1 is less than 10 minutes,
the width of the breach bottom starts at a value of b rather than at a
point. This represents more of a collapse failure than an erosion
failure.

During the simulation of a dam failure, the actual breach formation
commences when the reservoir water surface elevation (h) exceeds a
specified value, hg, This feature permits the simulation of an over-
topping of a dam in which the breach does not form until a sufficient
amount of water is flowing over the crest of the dam. A piping failure
may be simulated when hf is specified less than the height of the
dam, hd.

Selection of breach parameters before a breach forms, or in the
absence of observations, introduces a varying degree of uncertainty
in the model results; however, errors in the breach description and
thence in the resulting time rate of volume outflow are rapidly damped-
out as the flood wave advances downstream. For conservative forecasts



which err on the side of larger flood waves, values for b and z should
produce an average breach width (E) in the uppermost range for a certain
type of dam. Failure time (1) should be selected in the lower range

to produce a maximum outflow. Of course, observational estimates of b
and T should be used when available to update forecasts when response
time is sufficient as in the case of forecast points several miles
downstream of the structure. Flood wave travel rates are often in the
range of 2-10 miles per hour. Accordingly, response times for some
downstream forecast points may therefore be sufficient for updated
forecasts to be issued.

2.2 Reservoir Outflow Hydrograph

The total reservoir outflow consists of broad-crested weir flow
through the breach and flow through any spillway outlets, i.e.,

Q=Q,+0Q ¢5)

The breach outlfow (Qb) is computed as:

Qb = cl(h—hb) + cz(h hb) 2)
where:
¢y = 3.1 bi <, ks : | (3)
cy = 2.45 z c ks %)
b
— - — — * <
hb hd (hd hbm) - if tb'- T (5)
hy = h if g, > T (6)
— ° <
b, = b tb/T if ty = T 7)
¢ = 1.0 + 0.023 Q2/[B2h% (h-h,)] (8)
v d b
h -
k = 1.0 if Py < 0.67 - (9)
s h-h
b
otherwise:
h,-h
k = 1.0 - 27.8[ t b _ 0.67]3 (10)
S h—-hb



in which hp is the elevation of the breach bottom, h is the reservoir
water surface elevation, bj is the instantaneous breach bottoz width,
tp is time interval since breach started forming, c¢,, is correction
for velocity of approach (Brater, 1959), Q is the total outflew from
the reservoir, By is width of the reservoir at the dam, kg is the
submergence correction for tailwater effects on weir outflow (Venmard,
1954), and hy is the tailwater elevation (water surface elevation

immediately downstream of dam).

The tailwater elevation (h;) is computed from Manning's eguation,
i.e.,

5/3
1.49 1/2 A
Q=125 203 (1)

in which n is the Manning roughness coefficient, A is the cross—sectional

area of flow, B is the top width of the wetted cross-sectional area, and

S is the energy slope. Each term in Eq. (11) applies to a representative

channel reach immediately downstream of the dam. The S parameter can be

specified by the user; it does not change with time; if it is not

specified, the model uses the channel bottom slope of the first third

of the downstream valley reach. Since A and B are functions of hg

and Q is the total discharge given by Eq. (1), Eq. (11) can be solved

for hy using Newton-Raphson iteration. Eq. (11) provides a suvificiently

accurate value for hy if there are no backwater effects immediztely

below the dam due to downstream constrictions, dams, bridges, or signif-

icant tributary inflows. When these affect the tailwater, Eq. (11) is

" not used and another procedure, referred to herein as the "sizultaneous
method,"” which is described in a following section on multiple dams

and bridges is used.

1f the breach is formed by piping, Eq. (2)-(9) are replacad by the
following orifice flow equation: ’

=.1/2
= a-= 12

Qb 4.8 Ap.("t h) (12)
where: -

Ap = [2bi+42(hf—hb)] (hf_hb) (13)

- . < _

h = hf if ht = 2hf hb (14)

h = ht if ht > 2hf - hb (15)
and hd is replaced by hf in Eq. (5) to compute hb'



However, if h = hf and

h - hb < 3(hf-hb) (16)

the flow ceases to be orifice flow and the broad-crested weir flow,
Eq. (2), is used.

The spillway outflow (QS) is computed as:

1.5 ' 0.5 2 1.5
Qs csLs(h-hS) + chg(h-hg) + chd(h—hd) + Q (17)

t

in which cg is the uncontrolled spillway discharge coefficient, hg

is the uncontrolled spillway crest elevation, ¢, is the gated spillway
discharge coefficient, h, is the center-line eldvation of the gated
spillway, cq is the discﬁarge coefficient for flIow over the crest

of the dam, Lg is the spillway length, Ag is ths gate flow area, Ly

is the length of the dam crest less Lg, and Q; is a constant outflow
term which is head independent. The uncontrolled spillway flow or

the gated spillway flow can also be represented as a table of head-
discharge wvalues.

The total outflow is a function of the water surface elevation (h).
Depletion of the reservoir storage volume by the outflow causes a
decrease in h which then causes a decrease in Q. However, any inflow
to the reservoir tends to increase h and Q. In order to determine the
total outflow (Q) as function of time, the simultaneous effects of
reservoir storage characteristics and reservoir inflow require the use
of a reservoir routing technique. DAMBRK utilizes a hydrologic storage
routing technique based on the law of conservation of mass, i.e.,

I - Q = ds/dt ' (18)

in which I is the reservoir inflow, Q is the total reservoir outflow,
and dS/dt is the time cate of change of reservoir storage volune.
Eq. (18) may be expressed in finite difference Zorm as:

>

(I+1')/2 — (@HQ')/2 = AS/At 19)

in which the prime (') superscript denotes values at the time t-At
and the A approximates the differential. The term AS may be expressed
as:

8S = (AHAL) (h-h')/2 (20)

in which Ag is the reservoir surface area coincident with the eleva-
tion (h).



Combining Eqs. (1}, (2), (17), (19) and (20) result in the follow-
ing expression:

(AS+A;) (h-h')/At + cl(h—hb)l's + cz(h-hb)z'5 + cs(h—hb)l's
+ cg(h—hg)o's + cd(h-hd)l's +Q +Q -I-T'=0 1)

Since Ag is a function of h and all other terms except h are known,

Eq. (21) can be solved for the unknown h using Newton-Raphson iteration.
Having obtained h, usuzlly within two or three iterations, Egs. (2)

and (17) can be used to obtain the total outflow (Q) at time (). In
this way the outflow hydrograph Q(t) can be developed for each time

(t) as t goes from zero to some terminating value (tg) sufficiently
large for the reservoir to be drained. 1Im Eq. (21) the time step (At)
is chosen sufficiently small to incur minimal numerical integration
error. This value is preset in the model to t/50.

The hydrologic stcrage routing technique, Eq. (18), implies that
the water surface elevation within the reservoir is level. This ‘
assumption is quite adeguate for gradually occurring breaches with no
substantial reservoir izflow hydrographs., However, when 1) the breach
is specified to form aizost instantaneously so as to produce a negative
wave within the reservoir, and/or 2) the reservoir inflow hydrograph
is significant enough to produce a positive wave progressing through
the reservoir, a routicz technique which simulates the negative and/or
positive wave(s) occurring within the reservoir could be used for
greater accuracy in cozputing the reservoir outflow through the breach
and/or spillways. Such a technique is referred to as dynamic routing.
Since this technique is used for routing the dam-break flood wave
through the downstream valley, the application of it in lieu of reser-
voir storage routing will be presented after the dowvnstream routing
technique is presented.

2.3 Downstream Routinz

After computing the hydrograph of the reservoir outflow, the
extent of and time of cccurrence of flooding in the downstream valley
is determined by roucizgz the outflow hydrograph through the valley.
The hydrograph is modiiied (attenuated, lagged, and distorted) as
it is routed through tka valley due to the effects of valley storage,
frictional resistance to flow, flood wave acceleration components,
and downstream obstructions and/or flow control structures. Modifi-
cations to the dam-bresx flood wave are manifested as attenuation
of the flood peak elevaztion, spreading—out or dispersion of the flood
wave volume, and changes in the celerity (translation speed) or travel
time of the flood wave. If the downstream valley contains signifi-
cant storage volume such as a wide flood plain, the flood wave can
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be extensively attenuated and its time of travel greatly increased.

Even when the downstream valley approaches that of a uniform rectangular-
shaped section, there is appreciable attenuation of the flood peak

and reduction in the wave celerity as the wave progresses through the
valley.

A distinguishing feature of dam-break waves is the great magni-
tude of the peak discharge when compared to runoff-generated flood
waves having occurred in the past in the same valley. The dam—-break
- flood is usually many times greater than the runoff flood of record.
The above-record discharges make it necessary to extrapolate certain
coefficients used in various flood routing techniques and make it
impossible to fully calibrate the routing technigue.

Another distinguishing characteristic of daz-break floods is
the very short duration time, and particularly the extremely short
time from beginning of rise until the occurrence of the peak. The
time to peak is in almost all instances synonymous with the breach
formation time (t) and therefore is in the range of a few minutes to
a few hours, This feature, coupled with the great magnitude of the
peak discharge, causes the dam-break flood wave to have acceleration
components of a far greater significance than those associated with
a runoff-generated flood wave.

There are two basic types of flood routing zmethods, the hydrologic
and the hydraulic methods. The hydrologic methods are more of an
approximate analysis of the progression of a flood wave through a
river reach than are the hydraulic methods. The hydrologic methods
are used for reasons of convenience and economy. They are most appro-
priate as far as accuracy is concerned when the flood wave is not
rapidly varying, i.e., the flood wave acceleration effects are negli-
gible compared to the effects of gravity and channel friction. Also,
they are best used when the flood waves are very similar in shape and
magnitude to previous flood waves for which stage and discharge
observations are available for calibrating the hydrologic routing
parametars (coefficients),

For routing dam-break flood waves, a particular hydraulic method
known as the dynamic wave method is chosen. This choice is based on
its ability to provide more accuracy in simulating the dam—break flood
wave than that provided by the hydrologic methods, as well as other
hydraulic methods such as the kinematic wave and diffusion wave methods.
Of the many available hydrologic and hydraulic routing techniques,
only the dynamic wave method accounts for the acceleration effects
associated with the dam-break waves and the influence of downstream
unsteady backwater effects produced by channel constrictions, dams,
bridge-road embankments, and tributary inflows. Also, the dynamic
wave method can be used economically, i.e., the computational costs
can be made insignificant if advantages of certain numerical solution
techniques are utilized. ‘



The dynamic wave method based on the complete equations of unsteady
flow is used to route the dam-break flood hydrograph through the down-
stream valley. This method is derived from the original equations
developed by Barre De Saint-Venant (1871). The only coeffiecient that
must be extrapolated beyond the range of past experience is the coeffi-
cient of flow resistance. It so happems that this is usually not a
sensitive parameter in effecting the modifications of the flood wave
due to its progression through the downstream valley. The applicability
of Saint-Venant equations to simulate abrupt waves such as the dam—~break
wave has been demonstrated by Terzidis and Strelkoff (1970) and by
Martin and Zovme (1971) who used a "through computation" method which
ignores the presence of shock waves. DAMBRK uses the "through computa-
tion" method as opposed to isolating a single shock wave should it
occur, and then applying the shock equations to it and using the
Saint-Venant equations for all other portions of the flow.

The Saint-Venant unsteady flow equations comsist of a conséervation
of mass equation, i.e.,

3(A+A )
A + T q=20 (22)

and a conservation of momentum equation, i.e.,

2 : .
9 9 A dh
2 2R 4 ogagy + s +5) = 0 (23)

where A is the active cross-sectional area of flow, A, is the inactive
(off-channel storage) cross—sectional area, x is the longitudinal
distance along the channel (valley), t is the -time, q is the lateral
inflow or outflow per linear distance along the channel (inflow is
positive and outflow is negative in sign), g is the acceleration due
to gravity, Sg is-the friction slope, and S, is the expansion-—
contraction slope. The friction slopz is evaluated from MMaming's
equation for uniform, steady flow, i.e.,

*

2
S = n inQ 28)

£ 5,01 a2 gY/3

in which n is the Manning coefficient of frictional resistance and
R is the hydraulic radius defined as A/B where B is the top width
of the active cross-sectional area. The term (S;) is defined as
follows:

2
_ k 4(Q/A) (25)

Se a 2g Ax



in which k (Morris and Wiggert, 1972) is the expansion-contraction
coefficient varying from 0.0 to #1.0 (+ if contraction, - if
expansion), and A(Q/A)2 is the difference in the term (Q/A)2 at two
adjacent cross-—sections separated by a distance Ax.

Eqs. (22)-(23) were modified by the author (Fread, 1975, 1976)
and Smith (1978) to better account for the differences in flood wave
properties for flow occurring simultaneously in the river channel
and the overbank flood plain of the downstream valley. As modified,
Eqs. (22)-(23) become:

2RQ  ARQ  IRQ)

ox + ox + 9x + ot =0 (26)
c 2 r
2 2.2 2
202’ /a ) a®AQP/A)  axQ%/A) -
§Q_+ c [ 2 3 T . A oh
ot ox ax ax & c|ox
c 2 r c
dh 3h 1.
+ Sfc + S%] + gAz{5;;-+ ng] + gAr[5;;-+ Sfr =0 (27)

in which the subscripts (¢), (), and (r) represent the channel, left
flood-plain, and right flood-plain sections, respectively. The parameters
(Ke» Ky, Ky) proportion the total flow (Q) into channel flow, left
flood-plain flow, and right flood-plain flow, respectively. These are
defined as follows:

- .
K. = 9% 4« ' (28)
LT
k? .
Ky = Tfk & (29)
JA o
k.
K_= (30)

AxC 1/2
X% (31)
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Q =n A [Rr 213 rpe /2
kK =-Lft=-t.L | X < 32
r~Q o A |R Ax (32)
C r Cc C, r

Eqs. (31)-(32) represent the ratio of flow in the chamnel section to
flow in the left and right flood-plain (overbank) sections, where
the flows are expressed in terms of the Manning equation in which
the energy slope is approximated by the water surface slope (Ah/Ax).

The friction slope terms in Eq. (27) are given by the following:

2
. n_|K Q[K Q .
Sge ~ 7 _ 4/3 : (33)
¢ 2.21ATR
cC C
'“ileQleQ
Sgq = 7 4/3 (34)
2.21 A} R,
2
S =n"'lKrQlKrQ (35)
£r T, 51 a2 g 4/3
r T

In Eq. (26), the term A is the total cross-sectional area, i.e.,
A= AC + Al + Ar + Ab (36)

where Ao is the off-channel storage (inactive) area.

Eqs. (22)-(23) and (26)-(27) constitute a system of partial dif-
ferential equations of the hyperbolic type. They contain two independ-—-
ent variables, x and t, and two dependent variables, h and Q; the
remaining terms are either fucntions of x, t, h; and/or Q, or they
are constants. These ejuations are not amenable to analytical solutions
except in cases where the channel geometry and boundary conditions
are uncomplicated and the non-linear properties of the equations are
either neglected or made linear. The equations may be solved numerically
by performing two basic steps. First, the partial differential equations
are represented by a corresponding set of finite difference algebraic
equations; and second, the system of algebraic equations is solved in
conformance with prescribed initial and boundary conditions.

Eqs. (22)-(23) and (26)-(27) can be solved by either explicit or
implicit finite difference techniques (Liggett and Cunge, 1975).
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Explicit methods, although simpler in application, are restricted

by mathematical stability considerations to very small computational
time steps (on the order of a few minutes or even seconds). Such
small time steps cause the explicit methods to be very inefficient

in the use of computer time. Implicit finite difference techniques
(Preissmann, 1961; Amein and Fang, 1970; Strelkoff, 1970) , however,
have no restrictions on the size of the time step due to mathematical
stability; however, convergence considerations may require its size
to be limited (Fread, 1974a). -

Of the various implicit schemes that have been developed, the
"weighted four-point" scheme first used by Preissmann (1961), and
more recently by Chaudhry and Contractor (1973) and Fread (1974b,
1978), appears most advantageous since it can readily be used with
unequal distance steps and its stability-convergence properties can
be easily controlled. In the weighted four-point implicit finite
difference scheme, the continuous x~-t region in which solutioms of
h and Q are sought, is represented by a rectangular net of discrete
points. The net points are determined by the intersection of lines
drawn parallel to the x and t axes. Those parallel to the x axis
represent time lines; they have a spacing of At, which need not be
constant. Those parallel to the t axis represent discrete locations
or nodes along the river (x axis); they have a spacing of Ax, which
also need not be constant. Each point in the rectangular metwork
can be identified by a subscript (i) which designates the x position
and a superscript (j) which designates the time line.

The time derivatives are apﬁroximated by a forward difference
quotient centered between the ith and i+l points along the x axis,

i.e.,
P
x5 TR Ky - K ' a7)
2t 2 bt |

where K represzncs any variable.

The spatial derivatives are approximated by a forward difference
‘quotient positioned betweer two adjacent time lines according to
weighting factors of 8 anc 1-8, i.e.,

[ K i - N
i = M (38)

Variables other than derivatives are approximated at the time
level where the spatial derivatives are evaluated by using the same
weighting factors, i.e.,
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g3l 4 (31l W+ xd
i i+l i i+
K=o ||+ 1-8) |5 (39)

-

A 06 weighting factor of 1.0 yields the Zully implicit or backward
difference scheme used by Baltzer and Lai (13958). A weighting factor
of 0.5 yields the box scheme used by Amein z=d Fang (1970). The
influence of the 0 weighting factor on the aczcuracy of the cemputatious
was examined by Fread (1974a), who concluded that the accuracy decreases
as 6 departs from 0.5 and approaches 1.0. This effect becomes more
pronounced as the magnitude of the computational time step increases.
Usually, a weighting factor of 0.60 is used so as to minimize the
loss of accuracy associated with greater values while avoiding the
possibility of a weak or pseudo iastability noticed by Baltzer and
Lai (1968), and Chaudhry and Contractor (1973); however, 6 may be
specified other than 0.60 in the data input to the DAMBRK model.

When the finite difference operators defined by Egs. (37)-(39)
are used to replace the derivatives and other variables in Eqs. (22)-
(23), the following weighted four-point implicit difference equations -
are obtained:

: j+1 j+1 b i
- Q . o, - :
T T | M gy |2 E| - geey o
e[ — ] 0 a) +(1e>[ _ ] (1-8) a)

i Lxy
' i+l JHL J sy
(aa )3T+ (ArA )Gy~ (AT - (AR ,
+ - =0 40)
2Atj

hepr
—_N .
3

1, 3§ 2, 341 2,5+
(le Q1 ~ % Qi—!-l) [(Q /Diy - @785 —j+1
+ 8 . + g A
28t

-

-

41 _ 54 2,3 02/a3
(hi+l b +§j+1+si:1)] b (1es) [(Q /N34 - @A)

Axi f Axi
k| h|
h - h .
= (i 1. &) h| -
+ g A ( Axi + Sf + Sce):l 0 (41)
where:
A= 42
A= (A + 4,02 (42)
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5, = o’ Qal/ .2 B ®/3 (43)
Q= (Q + Q)72 (44)
R=A/B ' (45)
B = (B; + By ;)/2 (46)

The terms associated with the jth time line are known from either the
initial conditions or previous computations. The initial conditions
refer to values of h and Q at each node along the x axis for the first
time line (j=1).

Egs. (40)-(41) cannot be solved in an explicit or direct manner
for the unknowns since there are four unknowns and only two equations.
However, if Eqs. (40)-(41) are applied to each of the (N-1) rectangular
grids between the upstream and downstream boundaries, a total of (2N-2)
equations with 2N unknowns can be formulated. (N denotes the total
number of nodes). Then, prescribed boundary conditions, one at the
upstream boundary and one at the downstream boundary, provide the
necessary two additional equations required for the system to be
determinate. The resulting system of 2N non-linear equations with
2N unknowns is solved by a functional iterative procedure, the
Newton—-Raphson method (Amein and Fang, 1970).

Computations for the iterative solution of the non-linear system
are begun by assigning trial values to the 2N unknowns. Substitution
of the trial values into the system of non-linear equations yields a
set of 2N residuals.. The Newton-Raphson method provides a means for
correcting the trial values until the residuals are reduced to a suit-
able tolerance levzl, is is usually accomplished in one or two
iterations through use of linear extrapolation for the first trial
values, If the Newton—-Raphson corrections are applied only once, i.e.,
there is no iteration, the non-linear system of-difference equations
degenerates to the equivalent of a quasi-linear formulation which
may require smaller time steps than the non-linear formulation for
the same degree of numerical accuracy. -

A system of 2N x 2N linear equations relates the corrections to
the residuals and to a Jacobian coefficient matrix composed of partial
derivatives of each equation with respect to each unknown variable
in that equation. The coefficient matrix of the linear system has a
banded structure which allows the system to be solved by a compact
quad-diagonal Gaussian elmination algorithm (Fread, 1971), which is
very efficient with respect to computing time and storage. The re-
quired storage is 2N x 4 and the required number of computational
steps is approximately 38N.
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The DAMBRK model has the option to use either Egqs. (22)-(23) or
Eqs. (26)-(27). The former is a somewhat simpler treatment in which
a total or composite cross-section is used, whereas the latter set
utilizes a more detailed representation of the flow cross-section.
Eqs. (26)-(27) are recommended when the channel is sufficiently large
to carry a significant portion of the total flow and the chamnel has
a rather meandrous path through the downstream valley.

2.4 TInitial and Boundary Conditioms

In order to solve the unsteady flow equations the state of the
flow (h and Q) must be known at all cross—sections at the beginning
(t=0) of the simulation. This is known as the initial condition of
the flow. The DAMBRK model assumes the flow to be steady, non—uniform
flow where the flow at each cross-section is initially computed to
be:

Q = Qi—l + 97 Ax, i=2,3,...N %7

where Qi is the known steady discharge at the dam, i.e., the upstream
boundary of the downstream valley, and qf is any lateral inflow from
tributaries existing between the cross-sections spaced at intervals
of Ax along the valley. The steady discharge from the dam at t=0 must
be non-zero, i.e., a dry downstream chamnel is not amenable to sim-
ulation by DAMBRK. This is not an important restriction, especially
when maximum flows and peak stages are of paramount interest in the
dam-break flood. The tributary lateral inflow must be specified by
the forecaster throughout the simulation period. If these flows are
relatively small, they may be safely ignored.

The water surface elevations associated with the steady flow
must also be computed at t=0. This is accomplished by solving the
following equation:

2 2
@78y - @78 1A [hiﬁ-l_hi
Ax ' & 2 Ax
i i
nz(_Q.+Q..,)2 (B,+B. 1)4/31
+ i tiri i T4+l -0 (48)
10/3

2.2 (Ai+Ai+l)

This equation may be easily solved using the Newton-Raphson method by
starting at a specified elevation at the downstream extremity of the
valley and solving for the adjacent upstream elevation step by step
until the upstream boundary is reached. The downstream specified
elevation may be obtained from a solution of the Manning equation

if the flow is governed only by the channel conditions; however, if
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a flow control structure produces a back-up of the flow at this lo-
cation, the forecaster must directly specify the water surface elevation
existing at the downstream boundary at t=0,

In addition to initial conditions, boundary conditions at the
upstream and downstream sections of the valley must be specified for
all times (t=0 to t=t, where t, is the future time at which the sim-
ulation ceases). .

At the upstream boundary the reservoir ocutflow hydrograph Q(t)
provides the necessary boundary condition

At the downstream boundary an appropriate stage-discharge relation
is used., If the flow at the downstream extremity is channel-controlled,
the following relation is used:

1/2
1.49  5/3,.2/3 [ Pn-1"Px
/BN |

Q= ==
N n AN AxN—l

(49)

Eq. (49) reproduces the hysteresis effect in stage-discharge relations
often observed as a loop-rating curve. The loop (hysteresis) is
produced by the temporal variations in the water surface slope. If
the flow at the downstream boundary is controlled by a flow control
structure such as a dam, the following relation is used:

Qq = Q +Q (50)

where the breach flow (Qp) is defined by Eq.(2) and the spillway flow
(Qg) is defined by Eq. (17) in which the various terms apply to the
dam at the downstream boundary. Since the resulting expressions for
Qp and Qg are in terms of the water surface elevation hy, Eq. (50)

is a stage-discharge relation.

The downstream boundary condition may also be specified as a
single—value rating curve in which the stage-discharge values are
input as tabular values. Linear interpolation is used for determining
intermediate values, -

2.5 Multiple Dams and Bridges

The DAMBRK model can simulate the progression of a dam-brezak
wave through a downstream valley containing a reservoir created by
another downstream dam, which itself may fail due to being sufficiently
overtopped by the wave produced by the failure of the upstream dam.
In fact, an unlimited number of reservoirs located sequentially along
the valley can be simulated. In DAMBRK there is a choice of two methods
for simulating dam-break flows in a valley having multiple dams.
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In the first method, which is known as the '"sequential method,"
the downstream boundary condition for the dynamic routing component
is given by Eq. (50) rather than Eq. (49). The properties of the
downstream dam, spillways, breach description, and elevation of flow
which precipitates the failure of the dam, are used in Eq. (50).
In this way, backwater effects of the downstream dam are included in
the routing of the outflow hydrograph from the upstream dam. The
most upstream reservoir may be simulated using either storage or dynamic
routing. :

When the tailwater below a dam is affected by flow conditions
downstream of the tailwater section (e.g., backwater produced by a
downstream dam, flow constrictionm, bridge, and/or tributary inflow),
the flow occurring at the dam is computed by the second method known
as the "simultaneous method" which uses an intermal boundary condition
at the dam. In this method the dam is treated as a short 4&x reach
in which the flow through the reach is governed by the following two
equations rather than either Egs. (22)-(23) or Egs. (26)-(27):

% = Y - | Gn
Q = Q, + Q (52)

in which Qp and Qg are breach flow and spillway flow as described in

Eqs. (2) and (17). In this way the flows, Qj and Qi+]1, and the elevation
h; and hj4j, are in balance with the other flows and elevations occurring
simultaneously throughout the entire flow system; the system may consist
of additional dams which are treated as additional internal boundary
conditions via Egqs. (51)-(52). The "simultaneous method" requires

dynamic routing to be used in the most upstream reservoir. This method
can also be used for a flow system having a single dam, only.

Highway/railway bridges and their associ:zed earthen embankments
which are located at points downstream of a dam may also be treated as
incernal bouadary coaditions. Egs. (51)-(52) are used at each bridg2;
the term Qg in Eq. (52) is computed by the following expression:

-

- 1/2 . 3/2

QS = 8.02 C Ai+l(hi—hi+l) + ce LU ku(hi—hcu)
+cc, L, k,(h.-h )3/2 (53)

L 2 2YVi el
in which

= : <

k.u = 1.0 if hru Z 0.76 _ (54)

3 .
k.u = 1.0 - cu(hru-0.76) if hru > 0.76 (SS)
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c, = 133(h_-0.78) +1 if 0.76 Sh_ < 0.9 (56)
c, = 400(h_~0.78) + 10 if h_ > 0.9 (57)
hru = (hi+l~hcu)/(hi—hcu) (58)
ce, = 3.02(hi-hcu)0°05 if 0 <h £0.15 (59)
cc, = 3.06 + 0.27(h ~0.15) if h, > 0.15 (60)
b, = (h-h /v, | (61)

in which C is a coefficient of bridge flow (see Chow, 1959), Aj43

is the cross—section flow area of the bridge opening at section i+l
(downstream end of bridge), h., is the elevation of the upper embank-
ment crest, hi is the water surface elevation at section i (upstreanm
end of bridge), hj4j is the water surface elevation at section i+1,
L, is the length of the upper embankment crest perpendicular to flow
direction), k,; is the submergence correction factor for flow over

the upper embankment crest, and wy is the width (parallel to flow
direction) of the crest of the upper embankment. In Eq. (53) the
terms with an (&) subscript refer to a lower embankment crest and
these terms are defined by Egs. (54)-(61) in which the (u) subscripts
are replaced with (%) subscripts. Egqs. (54)-(61) were developed from
basic information on flow over road embankments as reported by the
U.S. Dept. of Transportation.(1978).

2.6 Supercritical Flow

The DAMBRKX model can sirulate the flow through the downstream
valley when the flow is supercritical. This type of flow occurs when
the slope of the downstream valley exceeds about 50 ft/mi. Slopes
less than this usually result in the flow being subcritical to which
all preceding comments pertaining to the downsctraam routing apply.
Wnen the flow is superaritical, any flow disturbances caanct travel
back upstream; therefora, the downstream boundary bacomes superfluous,
Thus, for supercritical flaw, a downstream boundary condition is not

required; however, another equation in addition to the reservoir outflow

hydrograph is needed for the upstream boundary condition. To satisfy
this requirement, an equation similar to Eq. (49) is used at the
upstream boundary, i.e.,

1/2

h.-h
_1.486 ,5/3,.5/3|_1 2
D [’”—Axl] - (62)
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A modified compact quad-diagonal Gaussian elimination algorithm
similar to the one previously described is required for solving the
unsteady flow equations when supercritical flow exists. The modification
results when the form of the Jacobian coefficient matrix is slightly
changed due the need for two upstream boundary conditions and none at
the downstream boundary.

The DAMBRK model is constructed to accommodate supercritical flow
for either the entire chamnel reach or for only an upstream portion
of the entire reach. The supercritical flow regime is assumed to be
applicable throughout the duration of the flow. Multiple reservoirs
on supercritical valley slopes must be treated using a storage routing
technique such as Eq. (18) rather than the dynamic routing technique.

2.7 Routing Losses

Often in the case of dam-break floods, where the extremely high
flows inundate considerable portions of channel overbank or valley
flood plain, a measurable loss of flow volume occurs. This is due to
infiltration into the relatively dry overbank material, detention
storage losses, and sometimes short-circuiting of flows from the main
valley into other drainage basins via canals or overtopping natural
ridges separating the drainage basins. Such losses of flow may be
taken into account via the term q in Eq. (22) or Eq. (26). An expres-—
sion describing the loss is given by the following:

q = -0.00458 v P/(L T) (63)

in which VL is the outflow volume (acre-ft) from the reservoir; P is
the volume loss ratio; L is the length (mi) of downstream channel
through which the loss occurs; and T is the average duration (hr) of
the flood wave throughout the reach length L; and qy is the maximum
lateral outflow (cfs/ft) occurring along the reach L throughout the
duration of flow. The mean lateral outflow is proportioned in time
and distance along the reach L such that qi=0 when Q%=Q% and

q-}.=qm when q%—Qmaxi' Thus: .

j 1
@3-

G (64)
(Qmaxi-Qi)

where Qi is the initial flow and Qpaxj is the estimated maximum flow

at each node determined a priori according to an exponential attenuation
of the peak flow at the dam. The parameter P may vary from only a few
percent. to more than 30, depending on the conditions of the downstream
valley.
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2.8 Tributarr Inflows

Unsteady flows from tributaries downstream of the dam can be added
to the unstealy flow resulting from the dam failure. This is accomplishe
via the term ¢ in Eq. (22) or Eq. (26). The tributary flow is distribute
along a single Ax reach. Backwater effects of the dam-break flow on
the tributary flow are ignored, and the tributary flow is assumed to
enter perpendicular to the dam-break flow.

2.9 Reservoir Dynamic Routing

As mentioned earlier, an option is provided in the DAMBRK model
to use dynamic routing rather than storage routing to compute the
reservoir outiflow hydrograph. The dynamic routing is identical to
the above description with the exception of boundary conditions.

The upstream boundary condition is a discharge hydrograph given by
the following: :

" - 1w = 0 | (65)

where I(t) is the known reservoir inflow hydrograph. The downstream
boundary condition is a stage-discharge relation given by Eq. (50).

The initial water surface elevations are computed by solving Eq. (48),
the steady gradually varied backwater equation, using h, which is the
elevation of the water surface at the dam site when the computation
commences. The reservoir dynamic routing procedure must contend with
the lowering of the water surface elevation at the upstream boundary

as the reservoir volume is depleted by the outflow through the breach.
If this depth becomes small and approaches a value less than the normal
depth, the cozputations become unstable. To aveid this computational
problem, the upstream depth is constantly monitored; if it becomes less
than the initial normal depth (d,), the location of the upstream
boundary condition is shifted downstream one node at a time until the
depth at the node is greater than d .

2.10 Landslide-Generatad Waves

Reservoirs are sometimes subject to landslides which rush into the
reservoir, displacing a portion of the reservoir contents and, thereby,
creating a verr steep water wave which travels vp and down the leng:th
of the reservoir (Davidson and McCartney, 1573). This wave may have
sufficient amplitude to overtop the dam and precipitate a failure of
the dam, or the wave by itself may be large enough to cause catastrophic
flooding downstream of the dam without resulting in the failure of the
dam as perhaps in the case of a concrete dam such as the Viaont Dam
flood of 1963. ‘

The capability to generate waves produced by landslides is provided

within DAMBRK. The volume of the landslide mass, its porosity, and time
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interval over which the landslide occurs, are input to the model.

In the model, the landslide mass is deposited within the reservoir

in layers during small computational time steps, and simultaneously
the original dimensions of the reservoir are reduced accordingly.

The time rate of reduction in the reservoir cross-=sectional area
(Koutitas, 1977) creates the wave during the solution of the unsteady
flow, Egqs. (22)-(23), which are applied to the cross-sections
describing the reservoir characteristics. The upstream boundary
condition is given by Eq. (65), and the downstream boundary condition
is given by Eq. (50). The initial conditions are obtained as
described by Eqs. (47)-(48) for steady non-uniform flow.

Wave runup is not considered in the model. For near vertical
faces of concrete dams the runup may be neglected; however, for earthen
dams the angle of the earth fill on the reservoir side will result
in a surge which will advance up the face of the dam to a height
approximately equal to 2.5 times the height of the landslide-generated
wave (Morris and Wiggert, 1972).

2.11 Selection of At and Ax

Rapidly rising hydrographs, such as the dam-break outflow hydro-
graph, can cause computational problems.(instability and non-convergence)
when applied to numerical approximations of the unsteady flow equations.
This is the case even when an implicit, non-linear finite difference
solution technique is used. However, many computational problems can
be overcome by proper selection of time step (At) size and the distance
step (Ax) size. During the limited testing of the model presented
herein, two types of computational problems arose. First, if the time
step were too large relative to the rate of increase of discharge
during that time step, errors occurred in the computed water surface
elevation in the vicinity of the wave front. These water surface
elevations would tend to dip toward the channel bottom and quickly
cause negative areas to be computed which would then cause the computa-—
tions to "blow up." Second, too large a time step would also cause
the Newton-Ranhsen iteration to not converge. The first conputational
problem is similar to that experienced by Cunge (1975). Both of the
computational problems were successfully treated by reducing the time
step size by a factor of 0.5 whenever negative areas were computed,
or when a reasonabls number of iterations were exceeded. With the
reduced time step, the computations were repeatad. I the saae problena
persisted, the time step was again halved and the computations repeatec.
Usually, one or two reductions would be sufficient. The computational
process was then advanced to the next time level by the original
unreduced time step. Computations were initially begun with At time
steps (hr) computed via the following relations:

At = 0.5 t = ty - 0.5 - (66)

-0.5<t<t + 271 (67)

/20 b

At tb
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in which t is the time (hr) to peak of the outflow hydrograph and t

is the time (hr) at which the breach starts to form. b
Distance steps (Ax) are selected in the following range:
Ax = c At : (68)

where ¢ is the wave speed in mi/hr and Ax is in miles. The dam-break
hydrograph tends to be a very peaked-type of hydrograph and, as such,
tends to dampen and flatten out as it advances downstream. Accordingly,
the time step may be increased as the wave progresses downstream;
therefore, smaller values of Ax are selected immediately downstream

of the dam, with a gradual increase in size at greater distances down-
stream of the dam. Also, the smaller values of Ax are associated

with the smaller values of t. This methodology of selecting Ax and

At values follows the guidelines set forth in an analysis made by
Fread (1974a) of the numerical properties of the four-point implicit
solution of the unsteady flow equatiors.

Since the flood wave dampens out as it moves downstream, the At
time step may be increased as the computatlons advance in time. The
following scheme is used:

At = 20 2 :
t 'rp/ t tb+2'c (69)

where T, is the time between the start of rise of the hydrograph and
the peaﬁ of the hydrograph at selectad locations along the downstream
valley. Six evenly spaced locations along the downstream valley
commencing at the dam site are monitored to determine Ty. The peak
must have occurred at one of the locations before T, can be evaluated.
Since T increases at locations farther and farther downstream of the
dam, the T, which exists for the most downstream location is used in
Eq. (69). A At determined by the division of T, into twenty parts

is considered appropriate to maintain an adequate level of numerical
accuracy. An option exists to maintain throughout the computations
the time step size specified in the data input. The umits of At, ty»
and Tp are hours, .

3. DATA REQUIREMENTS

The DAMBRK model was developed so as to require data that was
accessible to the forecaster. The input data requirements are flexible
insofar as much of the data may be ignored (left blank on the input
data cards or omitted altogether) when a detailed analysis of a dam-
break flood inundation event is not feasible due to lack of data or
insufficient data preparation time. Nonetheless, the resulting approx-
imate analysis is more accurate and convenient to obtain than that
which could be computed by other techniques. The input data can be
categorized into two groups. :
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The first data group pertains to the dam (the breach, spillways,
and reservoir storage volume). The breach data consists of the
following parameters: <t (failure time of breach, in hours); b (final
bottom width of breach); z (side slope of breach); hy, (final elevation
of breach bottom); h, (initial elevation of water in reservoir); hg
(elevation of water when breach begins to form); and hy (elevation
of top of dam). The spillway data consists of the following: hg
(elevation of uncontrolled spillway crest); cg (coefficient of discharge
of uncontrolled spillway); h, (elevation of center of submerged gated
spillway); c, (coefficient o% discharge of gated spillway); cg
(coefficient of discharge of crest of dam); and Qt (constant, head
independent discharge from dam). The storage parameters consist of
the following: a table of surface area (&g) in acres or volume in
acre-ft. and the corresponding elevations within the reservoir. The
forecaster must estimate the values of T, b, z, hpy, and hg. The
remaining values are obtained from the physical description of the
dam, spillways, and reservoir. In some cases hg, cg, hg, cg, and
cq may be ignored and Q. used in their place.

The second group pertains to the routing of the outflow hydro-
graph through the downstream valley. This consists of a description
of the cross—sections, hydrualic resistance coefficients, and '
expansion coefficients. The cross-sections are specified by location
mileage, and tables of top width (active and inactive) and correspond-
ing elevations. The active top widths may be total widths as for a
composite section, or they may bte left flood-plain, right flood-plain,
and channel widths. The top widths can be obtained from USGS topography
maps, 7 1/2' series, scale 1:24000. The channel widths are usually
not as significant for an accurate analysis as the overbank widths
(the latter are available from the topo maps). The number of cross-—
sections used to describe the downstream valley depends on the vari-
ability of the valley widths. A minimum of two must be used. Additional
cross—-sections are created by the model via linear interpolation between
adjacent cross—sections specified by the forecaster. This feature
enables only a minimum of cross-sectional data to be imput by the
forecaster according co such criteria as data availability, variacion,
preparation time, etc. The number of interpolated cross-sections
created by the model is controlled by the paraméter DXM which is in-
put for each reach betwsen spacified crosssections. The hydraulic
resigtanca co2fficiants consist of a table of Manning's n vs. elevacion
for each reach between specified cross-sections. The expansion-contractic
coefficients (k) are specified as non-zero values at sections where
significant expansion or contractions occur. The k parameters may be
left blank in most analyses.

4. MODEL TESTING
The DAMBRK model has been tested on five historical dam-break

floods to determine its ability to reconstitute observed downstream
peak stages, discharges, and travel times. Those floods that have
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been used in the testing are: 1976 Teton Dam, 1972 Buffalo Creek
Coal-Waste Dam, 1889 Johnstown Dam, 1977 Toccoa (Kelly Barmes) Dam,
and the 1977 Laurel Run Dam floods. However, only the Teton and
Buffalo Creek floods will be presented herein.

4.1 Teton Dam Flood

The Teton Dam, a 300 ft. high earthen dam with a 3,000 ft. long
crest and 250,000 acre-ft of stored water, failed on June 5, 1976,
killing 11 people, making 25,000 homeless, and inflicting about
$400 million in damages to the downstream Teton-Snake River Valley.
Data from a Geological Survey Report by Ray, et al. (1977) provided
observations on the approximate development of the breach, description
of the reservoir storage, downstream cross-sections and estimates
of Manning's n approximately every 5 miles, indirect peak discharge
measurements at 3 sites, flood-peak travel times, and flood-peak
"elevations. The inundated area is shown in Fig. 2.

MENAY'S FORK

-

-z

TETON Dam

MENAN BUTTES ~SUGAR CITY :
i

™ SNAKE RIVER

® MILEAGE 1S VALLEY 1 & DOwas~2ia=
FROM TETOM Dam

0S5 4

SHELLY
GAGING STATION

DISCHARGE (MILLION CFS) -

HOUR -

Fig. 2 — OUTFLOW HYDROGRAPH AND FLOOOED AREA DOWNSTREAM
OF TETON DAM

The following brezach parameters wa2r2 usad In DAYMBRK to reconsticui2
the downstream flooding due to the failure of Teton Dam: -t = 1.25 hrs.,
b =150 ft., z = 0, hyy, = 0.0, hg = hg = hg = 261.5 ft. Cross-sectional
properties at 12 locations shown in Fig. 2 along the 60-mile reach
of the Teton-Snake River Valley below the dam were used. Five top
widths were used to describe each cross-section. The downstream valley
consisted of a narrow canyon (approx. 1,000 ft. wide) for the first
5 miles and thereafter a wide valley which was inundated to a width
of about 9 miles. Manning's n values ranging from 0.028 to 0.047 were
provided from field estimates by the Geological Survey. DXM values
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between cross-sections were assigned values that gradually increased

from 0.5 miles n=zar the dam, to a value of 1.5 miles near the downstream

boundary at the Shelly gazing station (valley mile 59.5 downstream
from the dam). The reservoir surface area-elevation values were
obtained from Geological Survey topo maps. The downstream boundary
was assumed to bs channel flow control as represented by a loop rating
curve given by Eg. (49).

The computed outflow hydrograph is shown in Fig. 2. It has a
peak value of 1,652,300 cfs (cub.c feet per second), a time to peak
of 1.25 hrs., and a total duration of about 6 hours. This peak dis-
charge is about 20 times greater than the flood of record at Idaho
 Falls. The temporal variation of the computed outflow volume compared
within 5 percent of observed values as shown in Fig. 3. 1In Fig. 4
a comparison is presented of Teton reservoir outflow hydrographs

—=— — 3T0RAGE POUTING

OUTFLOW (1000 Acre-F1) —

OUTFLOW (1,000,000 CFS) ——b

-

s "
L 2 3 3 L 3 7 s
TIME v} —

Fig.3 — OUTFLOW YOLUME FOM TETON DAM

TIME (ar) —

Fig. 4 - CUTFLOW HYDROGIAM FROM TSTON DAM  FAILURE

computed via reservoir storage routing and reservoir dynamic routing.
Since the breach of the Teton Dam formed gradually over approximately
a one-hour interval, a steep negative wave did not develop. Also,
the inflow to the reservoir was not very significant. For these

two reasons, the reservoir surface remained essentially level during
the reservoir drzwdown and the dynamic routing yielded almost the
same outflow hydrograph as the level pool, storage routing technique.
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The computed peak discharge values along the 60-mile downstream
valley are shown in Fig, 5 along with three observed (indirect measure-
ment) values at miles 8.5, 43.0, and 59.5. The average difference
between the computed and observed values is 4.8 percent. Most apparent
is the extreme attenuation of the peak discharge as the flood wave
progresses through the valley. Two computed curves are shown in Fig. 5;
one in which no losses were assumed, i.e., dp = 0; and a second in
which the losses were assumed to vary from zero to a maximum of
dn = -0.30 cfs/ft and were accounted for in the model through the
q term in Eq. (22). Losses were due to infiltration and detention
storage behind irrigation levees amounting to about 25 percent of the
reservoir outflow volume. Eq. (63) was used to compute Q..
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SHOWING SENSITIVITY OF VARIOUS INPUT PARAMETECS

The a priori selection of the breach parameters (t and b) causes
the greatest uncertainty in forecasting dam-break flood waves. The
sensitivity of downstream peak discharges to reasonable variations
in T and b are shown in Fig. 6. Although there are large differences
in the discharges (+45 to -25 percent) near the dam, these rapidly
diminish in the downstream direction. After 10 miles the variation
is +20 to -14 percent, and after 15 miles the variation has further
diminished (+15 to -8 percent). The tendency for extreme peak
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attenuation and rapid damping of differences in the peak discharge

is accentuated in the case of Teton Dam due to the presence of the

very wide valley. Had the narrow canyon extended all along the 60-mile
reach to Shelly, the peak discharge would not have attenuated as much
and the differences in peak discharges due to variations in 1 and b
would be more persistent. In this instance, the peak discharge would
have attenuated to about 350,000 rather than 67,000 as shown in Fig. 6,
and the differences in peak discharges at mile 59.5 would have been
about 27 percent as opposed to less than 5 percent as shown in Fig. 6.

Computed peak elevations compared favorably with observed values,
as shown in Fig. 7. The average absolute error was 1.5 ft., while
the average arithmetic error was only -0.2 ft.
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The computed flood-peak travel times and three observed values
are shown in Fig. 8. The differences between the computed and observed
are about 10 percent for the case of using the estimated Manning's n
values and about 1 percent if the n values are slightly increased
by 7 percent.

As mentioned previously, the Manning's n must be estimated,
especially for the flows above the flood of record. The sensitivity
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of the computed stages and discharges of the Teton flood due to a
substantial change (20 percent) in the Manning's n was found to be

as follows: 1) 0.5 ft in computed peak water surface elevations or
about 2 percent of the maximum flow depths, 2) 16 percent deviation

in the computed peak discharges, 3) 0.8 percent change in the total
attenuation of peak discharge incurred in the 60-mile reach from

Teton Dam to Shelly, and 4) 15 percent change in the flood-peak travel
time at Shelly. These results indicate that Manning'®s n has little
effect on peak elevations or depths; however, the travel time is
affected by nearly the same percent that the n values are changed.

A typical simulation of the Teton flood as described above in-
volved 78 Ax reaches, 55 hrs. of prototype time, and an initial time
step (At) of 0.06 hrs. Such a simulation run required only 19 seconds
of CPU time on an IBM 360/195 computer system; the associated cost
was less than $5 per run,

4,2 Buffalo Creek Flood

The DAMBRK model was also applied to the failure of the Buffalo
Creek coal-waste dam which collapsed on the Middle Fork, a tributary
of Buffalo Creek (see Fig. 9) in southwestern West Virginia near
Saunders. The dam fziled very rapidly on February 26, 1972, and
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Fig. ¢ — OUTFLOW HYDROGRAPN FROM COAL-WASTE DAM AND
LOCATION PLAN OF BUFFALO CREEK .

released about 500 acre—-feet of impounded waters into Buffalo Creek
valley, causing the most catastrophic flood in the state's history

with the loss of 118 lives, 500 homes, and property damage exceeding

$50 million. Observations were available on the approximate development
sequence of the breach, the time required to empty the reservoir, in-
direct peak discharge measurements at four sites, approximate flood-peak
travel times, and flood-peak elevations (Davies, et al., 1972). Cross-
sections and estimates of the Manning roughness coefficients were taken
from a report on routing dam-break floods by McQuivey and Keefer (1975).
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The time of failure was estimated to be in the range of 5 minutes
and the reservoir took only 15 minutes to empty according to eyewitnesses
reports. The following breach parameters were used: <t = 0.083 hours;

b = 170 feet, z = 2.6 feet, hy, = 0.0 feet, hy = hy = hy = 40.0 feet.
Cross—sectional properties were specified for eight locations along

the 15.7 mile reach from the coal-waste dam to below Man at the con-—
fluence of Buffalo Creek with the Guyandotte River as shown in Fig. 9.
The downstream valley widened from the narrow width (approximately

100 ft) of Middle Fork to about 400-600 feet width of Buffalo Creek
Valley. Minimum Ax (Dxm) values were gradually increased from 0.2 mile
near the dam to 0.4 mile near Man at the downstream boundary. The
reservoir area—elevation values were obtained from Davies, et al., (1972]

The 15.7 mile reach was divided into two reaches; one was approx-—
imately 4 miles long, in which the very steep channel bottom slope
(84 ft/mi) produced supercritical flows, and the second extended on
downstream approximately 12 miles, with an average bottom slope of
40 ft/mi, in which subcritical flow prevailed. The computations were
unstable when the supercritical reach was modeled using the same type
of boundary conditions as used with subcritical flows. This computation:
problem was eliminated when the supercritical boundary condition,
Eq. (62), was used.

The reservoir storage routing option was used to generate the
outflow hydrograph shown in Fig. 9. The computations indicated the
reservoir was drained of its contents in approximately 15 minutes,
which agreed with the observed time to completely empty its contents.
The indirect measurements of peak discharge at miles 1.1, 6.8, 12.1,
and 15.7 downstream of the dam are shown in Fig. 10. Again, as in
the Teton Dam flood, the flood peak was greatly attenuated as it
advanced downstream. Whereas the Teton flood was attenuated by a
factor of 0.69 in the first 16 miles of which 11 miles included the
wide, flat valley below the Teton Canyon, the- Buffalo Creek flood
was confined to a relatively narrow valley, but was attenuated by
a factor of 0.88 in the same distance. The attenuation of the Buffalo
Creek flood was due to the much smaller volume of its outflow hydrograph
comparad with that of the Teton flood.

In Fig. 10, the computed discharges agree Ffavorably with the
observed. There are two curvas of the computed peak discharge in
Fig. 10; one is associated with n values of 0.040. 1In the former,
the n values are representative of field estimates, while the latter
results from adjustments in the n values such that computed flood
travel times compare favorably with the observed. (Comparison of
computed flood travel times with the observed are shown in Fig. 11
for estimated n values and for the final adjusted n values.) It should
be noted that the two computed curves in Fig. 10 are not significantly
different, although the n values differ by a factor of 1.75. Again,
as in the Teton application, the n values influence the time of travel
much more than the peak discharge. The large adjusted n values appear
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to be appropriate for dam-break waves in the near vicinity of the
breached dam where extremely high flow velocities uproot trees and
transport considerable sediment and boulders (if present), and generally
result in large energy losses.
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A profile of the observed peak flood elevations downstream of
the Buffalo Creek coal-waste dam is shown in Fig. 12, along with the
computed elevations using adjusted n values. The avarage absolute
error is 1.8 feet and the average arithmetic error is -0.9 foot.
Sensitivities of the computed downstream pé;k discharges to reason-
able variations in the selection of breach parameters (t, b, and z)
are shown in Fiz. 13. The resulting differences in the computed discharge
diminish in the downstream directicn. Like the Teton dam—break flood
wave, errors in forecasting the breach are damped-out as the flood
advances downstream,

rw

A typical simulation of the Buffalo Creek flood involved 63 Ax
reaches, 3.0 hours of prototype time, use of the reservoir storage
routing option, and initial time step of 0.002 and 0.005 hour for
the supercritical and subcritical downstream reaches, respectively.
Computation time for a typical simulation run was 18 seconds
(IBM 360/195).
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5. FLOOD INUNDATION APPLICATIONS

The NWS DAMBRK model is suitable for the following two types

of flood inundation forecasting applications: 1) pre-computation of
flood peak elevations and travel times prior to a dam failure, and

2) real-time computation of the downstream flooding when a dam failure
is imminent or has immediately occurred.

Pre-computations of dam failures enable the preparation of concise
graphs or flash flood tables for use by those résponsible for community
preparedness downstream of critically located dams. The graphs provide
information on flood peak elevations and travel times throughout the
critical reach of the downstream valley. The variations in the pre-
computed values due to uncertainty in the breach parameters (t and b)
can be included in the graph. Results obtained using a maximum probable
estimate of b and a minimum probable estimate of 1 would define the
upper envelope of probable flood peak elevations and minimum travel
times. Similarly, the use of a minimum probable estimated b, along
with a maximum probable estimate of 1, would define the lower limit
of the envelope of probable peak elevations and maximum travel times.
In the pre-computation mode, the forecaster can use as much of the
capabilities of the DAMBRK model as time and data availability warrant.

-32-



Real-time coaputation is also possible in certain situations
where the total response time for a dam-break flood warning exceeds
a few hours. An abbreviated data input to DAMBRK can be used to
quickly compute 2a approximate crest profile and arrival times,
Computer coding forms have been prepared by the NWS Ft. Worth River
Forecast Center with invariable parameters delineated and essential
input data flagged. Using available topo maps and a minimum of
information on the dam such as its height and storage volume, a
forecast can be rade within approximately 30 minutes.

In some cases it may be possible to make a revised forecast in
real-time to update a pre-computed forecast when observations of the
extent of the breach are made available to the forecaster. This would
be valuable in refining the forecast for communities located far down-
stream where the possibility of flood inundation is questionable and
the need for eventual evacuation can be more accurately defined by
utilizing observations at the dam or actual flood elevations observed
a few miles below the dam. The data set used to make the real-time
update of the pre-computed forecast would have been retrieved from
a data storage system and the critical parameters therein changed.

The DAMBRK rodel can also be used to route any specified flow
through a river valley. In such applications of the model, the dam
breach and reservoir routing data input and computational components
are not used. :

6. SUMMARY AND CONCLUSIONS

A dam-break flood forecasting model (DAMBRK) is described and
applied to some actual dam-break flood waves. The model consists
of a breach compcment which utilizes simple parameters to provide
a temporal and geometrical description of the breach. A second com-
ponent computes the reservoir outflow hydrograph resulting from the
breach via a broad-crested weir-flow approximation, whici: Imcludes
effects of submerzence from downstream tailwater depths z=nd correctioums
for approach velccities. Also, the effects of storage depletion and
upstream inflows on the computed outflow hydrograph are accounted
for through storage routing within the reservoir. The third component
consists of a dynamic routing technique for determining the modifications
to the dam-hreak Zlood wave zs it advances tarough the downstreaas
valley, including its travel time and resulting water suriface elevations,
The dynamic routing component is based on a weighted, four—point non-
linear finite difference solution of the one-dimensional equations
of unsteady flow which allows variable time and distance steps to
be used in the solution procedure. Provisions are included for rout-
ing supercritical flows as well as subcritical flows, and incorporating
the effects of downstream obstructions such as road-bridge embankments
and/or other dams.
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Model data requirements are flexible, allowing minimal data input
when it is not available while permitting extensive data to be used
when appropriate.

The model was tested on the Teton Dam failure and the Buffalo
Creek coal-waste dam collapse. Computed outflow volumes through the
breaches coincided with the observed values in magnitude and timing.
Observed peak discharges along the downstream valleys were satisfac-—
torily reproduced by the model even though the flood waves were
severely attenuated as they advanced downstream. The computed peak
flood elevations were within an average of 1.5 ft and 1.8 ft of the
observed maximum elevations for Teton and Buffalo Creek, respectively.
Both the Teton and Buffalo Creek simulations indicated an important
lack of sensitivity of downstream discharge to errors in the forecast
of the breach size and timing.. Such errors produced significant
differences in the peak discharge in the vicinity of the dams; how-
ever, the differences were rapidly reduced as the waves advanced
downstream. Computational requirements of the model are quite feasible;
CPU time (IBM 360/195) was 0.005 second per hr per mile of prototype
dimensions for the Teton Dam simulation, and 0.095 second per hr per
mile for the Buffalo Creek simulation. The more rapidly rising Buffalo
Creek wave (t = 0.008 hr as compared to Teton where T = 1.25 hr)
required smaller At and Ax computational steps; however, total compu-
tation times (Buffalo: 19 sec and Teton: 18 sec) were similar since
the Buffalo Creek wave attenuated to insignificant values in a shorter
distance downstream and in less time than the Teton flood wave.

Suggested ways for using the DAMBRK model in preparation of pre-
computed flood information and in real-time forecasting were presented.
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D. L. Fread, NWS

Armando Balloffet, TAMS

FEP: Frank E. Perkims, MIT

Q: Questions and comments

from Conference participants

DF
AB

Tn your results, you presented the time of travel for the peaks.
How do peak times correspond to actual times of first inundation
or the so-called “wall of water'?

In DAMBRK, not only is the time of peak stage delineated, but
also a "flood stage" for each cross—section which is specified

by the user is monitored by the program and the time at which the
"fiood stage" is first reached is flagged and presented . in the
model output. This time could be used to determine minimum warn-
ing time,

I think there is a popular misconception, maybe not within the
ranks of the hydraulic profession, but in the general public,
that in fact dam-break flood waves move at a tremendous speed.
Perhaps they associate these with the speed of small amplitude
waves such as tsunami waves which move at hundreds of miles per
hour across the.deep ocean. The dynamic forerunner of the dam—-
break wave may be a rough equivalent of that type of wave, but
even it does not move at speeds measured in even tens of miles
per hour.

The Teton wave did not move with great speeds. It took about

35 hours to progress 60 miles; that's about 2 mi/hr. It moved
with greater speeds in the 5-mile long narrow canyon reach just
below the dam and then slowed down as it moved through the wide
valley. The Buffalo Creek dam-break wave moved somewhat Taster:
T think it took about 3 hours to move about 15 miles; thac would
be 5 mi/hr which is greater than the Teton wave primarily because
of the steeper channel slope (about 50 ft/mi for Buffalo Creek
compared to 12 ft/mi for Teton) and, to some extent, the more
narrow valley section of Buffalo Creek than that of the Teton
Valley.

In Teton, I think they observed the leading wave as taking 6 hours
to arrive at the Menan Bridge which was about 28 miles downstrean
of the dam. How did this compare with the peak computed by your
model, and what about the leading front of the wave?
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DAMBRK gzve tha time for the peak as occurring about 15 hours
after the star: of the dam failure. I think the leading edge
of the cozputed wave arrived at Menan Buttes in about 10 hours.
In this case, the dynamic forerunner is still only moving at
about 3-5 mi/hr. It would be the minimum warning time, and the
time of the flood stage inundation would be the actual warning
time,

As to the so-called "wall of water," it's very seldom that this
actually exists, and if it does exist it is very small relative
to the maxi—m depth of the dam-break wave. This is the case of
the bore at Truro.

In DAMBRX, the bore is not modeled with any special attention.
The simulation computes through the bore as though it did not
exist. The conservation form of the St. Venant equations are
used. The steep front of the bore has a tendency to be somewhat
smeared-out unless small computational distance steps are used;
however, the velocity of the bore seems to be fairly well simu-
lated. This was discussed in a paper by Sam Martin in the ASCE
Journ. of Eydrzulics a few years ago.

Does the mccel have problems with the wetting front spreading
laterally zcross wide, flat valleys?

No. The model is a one-dimensional model and this is not a
problem with 1-D models as it is with 2-D models.

Can your mccdel handle a complete, instantaneous failure?

Essentially, yes. The time of failure cannot be zero, but it

may approach zero such as a value of 1 minute. The bottom of the
breach and its side slopes (Z) would be specified such that the
breach would encompass the entire face of the dam. When using
DAMBRK to simulate complete instantaneous failures, the "simulta-
neous rathed"” should be used bacause submergence aeffects on the
broad-crestad weir flow through the breach are more significant.
This condition is brought about by the fact, that the very great
magnitude of flow from the complete dam failure entering the
downstrezn vallay i1s unable to pass through the valley without
causing srzzcer than normal flow depths. In the "simultaneous
method" tha Mamning equation for normal depth computation is not
used as it is in all other methods in DAMBRK to compute the tail-
water depth below the dam. Instead, the tailwater depth is com-
puted via the simultaneous solution of the complete St. Venant
equations throughout the downstream valley. In this way, the
backwater effect on the tailwater depth due to the inability of
the downstreaa valley to pass the dam-break flow as normal flow
is properly considered.
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How critical is the use of off-channel storage?

It is quite critical. The use of off-chanmnel storage is equivalent
to assigning a Manning n value of greater than 0.20 to the flow
occurring in this portion of the cross-section. The use of off-
channel storage tends to attenuate the hydrograph peaks and in-
crease the time of travel. It should be used with good judgement
and used where it is more realistic than using an active flow

area with the attendant significant velocities of flow in the
direction of the longitudinal axis of the downstream valley.

I would like to comment on the question of off-channel storage.

I agree that is is equivalent to using a high Manning n value for
an active flow area. Also, I would like to comment om the use of
off-channel storage in our "link-node" model. It is used to
simulate the dry and wet situations. We thought that this would
cause computational problems, but to our surprise it did not. The
only problem is preserving continuity in this case which we feel
can be achieved by taking very small computational time steps.
Whereas the DAMBRK model has run costs of a few dollars, our
typical runs are on the order of $100. However, I submit that
this is a small portion of the total cost of simulation including
data gathering and analysis of results.

I want to add a comment on the off-channel storage. A few years
ago, we encountered this problem when we were modeling a river

in Puertoc Rico where the length of the stream and the width of

the flood plain were of the same order of magnitude. We did a
reasonably good job with the 1-D model of properly attenuating

the flood wave and translating it through the valley. Later we went
to a link-node two-dimensional model and obtained some improvement
in the results with an attendant increase in computational costs.
It seems to me that many people in their modeling efforts, over-—
emphasize the importance of estimating Manning's n. I think the
principal thing is to obtain the correct storage volume which
involves the accuracy of the cross-saction and the correct lengths
between the various portions of adjacent cross-sections.

In your published account of that work, I recall that you presented
the technique you used to compute the correct length for the
distance between off-channel storagz sections.

We used an artificial length which gave us the correct storage
volume such that this length multiplied by the off-channel
section produced the proper storage volume. This data is
available in sufficient accuracy from topographic maps, without
having to use detailed cross—section surveys as both DF and AB
have also indicated.
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The topo map may not provide the channel section in sufficient
detail, but in many dam-break wave problems the channel flow

is a very small portion of the total flow which occurs primarily
in the overbank areas. Therefore, in these cases, the topo map
data is satisfactory.

You mentioned that you decided to increase the Manning n by about
75 percent for the Buffalo Creek flood. What if one did this and
the dam did not fail, but you still obtained a simulation of the
unsteady spillway flow hydrograph as it progressed through the
downstream valley?

There would be no problem when the Manning n values are specified
as varying with stage such that stages associated with spillway
flow rates would have the usual type of n values, and those
associated with dam-break flow rates would have the higher n
values. The reason for increasing the Manmning n for valleys
passing dam-break type flows is the fact that the much higher
flow velocities uproot trees, transport extensive sediment in-
cluding large boulders if present, and generally expend greater
energy losses than the normal flood flows from which n values
have previously been computed. As the flow progresses downstrean,
the extreme attenuation of the flood volume and resulting decrease
in flow velocities would warrant a use of n values consistent
with usual experience. Again, the main effect of the n values

in the vicinity immediately below the dam is to influence the
flood wave travel time with much less effect on the flow depths.

How sensitive is the DAMBRK model to the breach characteristics?

These are probably the most sensitive parameters, i.e., breach
size, and to a lesser extent the time of failure. The size of
the breach is determined. by its final bottom width and side slopes
and the height of the dam. For purposes of this discussion let
us think of the side slopes and bottom width in terms of an
average or equivalent width (b) of a rectangular-shaped breach.
The average width of the breach is the most sensitive of the
model input parameters for which there is the least data available
at this time. Of course, the valley storage volume as represented
by the cross-sections is critical, but this data is obtainable
with a much greatar accuracy than the breach width. I believe

the average bre«. 2 width can be related to 1) the height (hg) of the
dam, 2) the type of dam construction, i.e., concrete arch,
concrete gravity, well-constructed earth, poorly constructed
earth, coal-waste type dams, etc., and 3) the reservoir volume.
For earth dams the average breach width seems to fall in the
range hg = b<3 hq with the poorly constructed dams falling

in the upper range and most of the well-constructed dams

centered around the middle range. The reservoir volume would

also tend to influence the breach width; the larger volume
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sustaining the flow through the breach for a longer time and
allowing some side cutting and width expansion after the breach
bottom has eroded to the base of the dam. I feel the greatest
advance that can be made at this point in time to improve the
accuracy of dam-break flood models is to better define these
width relationships by seeking out historical dam breaches and
making some simple empirical relationships of the breach width
to the three parameters I have suggested. I also mentioned

that the time of failure (1), or the time it takes for the
breach to fully form, is to a lesser extent than b also an
important breach parameter. For large reservoir volumes, T
will not affect the outflow since the head on the breach will
not appreciably lower during the breach formation because the
large reservoir surface area can sustain the outflow with little
lowering of the reservoir water surface. In small reservoirs,
the water surface can dramatically lower during the breach
formation; thus when the breach reaches its maximum size the
head may be substantially less due to the lowering of the

water surface during the breach formation process. Small
reservoirs would include those with less than a few thousand
acre-ft of storage, while large reservoirs would be those with
more than several hundred thousand acre-ft. As with the

average breach width, I believe the time of failure is related
to ‘the type of dam, and to a lesser extent the height of the
dam, since this is an index of the volume of materials that

must be removed as the breach forms. The type of dam is most
dominant in determing the failure time. Concrete dams will have
failure times of a few minutes, say less than ten. Poorly-
constructed earth dams and coal-waste dams will be in the same
range; however, well-constructed earth dams should be more in
the range of 0.5 hr £ t £ 2 hrs, with the higher dams falling

in the upper range of t values. Now you may say that these are
pretty wide ranges for b and 1, but they are considerably closer
to the truth than the practice of assuming complete, instantaneous
failure. A typical earth dam with a 2,000 ft long crest does not
form 2 2,000 ft wide breach, but rather forms one that is only a
small portion of the total crest length. This fact should be
considered in modeling dam—failure floods. , Also, it takes a
definite interval of time for a breach to form, even in concrete
dams; the breach does not occur instantaneously.

I also think the breach size has to be related to the height of
dam. Also, when the bteach reaches the bottom of the dam, it
tries to widen itself at the bottom.

We have been struggling with the problem of specifying breach
characteristics at the Bureau of Reclamation where we are
currently using the DAMBRK model. We are preparing inundation
maps below all our dams so that the populace downstream will
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be informed of the consequence of a possible dam failure. Ve
have about 300 dams to analyze, and therefore cannot make an
extensive study of the possibilities of each breach formation
because of time and available resources. Our approach is to
look, as you have suggested, at known dam breaches and we've
plotted a relationship between dam height and maximum outflow.
With this curve we have attempted to select breach parameters
for DAMBRK which will produce a computed maximum outflow close
to the value determined from our curve. We feel that the curve
(which is actually an upper envelope of known dam breaches) will
provide maximum discharges which will be on the conservative
side, i.e., the specified breach characteristics will produce
greater downstream inundation and faster times of travel, and
therefore more people will be evacuated earlier than perhaps
absolutely necessary. However, this approach may not be the
best one to use in the case of planning studies for a new dam
in which the cost of a potential dam failure is required.

Does the configuration of the reservoir have any significance,
i.e., a long narrow one compared to a wide multiple-branched one?

Using storage reservoir routing, the configuration of the
reservoir is not a factor. If dynamic routing were used the
configuration of the reservoir could be considered, although

the treatment of branches could only be approximated through the use
of off-channel storage assumptions. In a physical sense, I do not

think the reservoir configuration would be significant except

in cases of 1) a large flood wave entering a long narrow reservoir

at the time of the dam failure and 2) nearly instantaneous dam-
failures in which a large negative wave is created. In the two
cases, the dynamic routing option should probably be used for
the reservoir routing rather than the storage routing option
which assumes a level water surface throughout the reservoir
during the dam failure and resultant drawdown of the reservoir.

Is the negative wave approach more conservative than the level
pool approach associated with the reservoir storage routing
technique? .

When broad-crested weir flow is used to describe the breach
outflow as in the DAMBRK model, the storage routing {lavel pool)
produces a greater maximum discharge than would occur if dynamic
reservoir routing were used. The dynamic routing would simulate
the negative wave formation and resultant sudden decrease in
water surface elevation or head on the broad-crested weir.

How does the DAMBRK model compare with the HEC model which uses

modified Puls routing and a steady backwater profile method to
compute the downstream inundation?
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Some direct comparisons have been made for actual dam-break
floods but I do not have that information. I can comment on
some theoretical aspects of such model comparisons. There are
two characteristics of the downstream valley which would produce
the greatest difference in results. The first is backwater
jnfluence. The modified Puls routing technique would not properly
route flows influenced by backwater effects caused by the
existence of bridges, dams, and significant tributary inflows.
Such backwater would influence the progression of the dam-break
flow which is almost always considerably greater than previous
floods through the downstream valley and, therefore, previous
flows through the valley would be of questionable use in determin-
ing the routing parameters such as Ax and At in the modified Puls
method. The second characteristic of the downstream valley is
the effective hydraulic slope or bottom slope. When the slope
is rather mild, the acceleration components of the dam-break
wave which are ignored in the Puls method become as significant
as the friction and gravity effects which the Puls method

is inherently based on just as other storage routing and
kinematic routing techniques. Comparisons of the HEC model with
the implicit dynamic routing technique used in DAMBRK show
marked differences as the effective hydraulic slope becomes

more mild. For precipitation runoff-generated floods having
rising limbs of about 6 hr duration, the differences were insig-
nificant for slopes greater than approximately 5 ft/mi. These
differences amounted to as much as 25 percent of the depth of
flow as the slope approached about 0.5 ft/mi, with the HEC model
producing erroneously greater depths. For more rapidly rising
dam-break hydrographs, the discrepancies between the two

models would be minimal for slopes much greater than 5 ft/mi.
The value of this slope has not been determined as yet and, of
course, it would vary with the time of rise, i.e., a peak of

5 minutes to say 2 hours. Interestingly, the total computation
time for the HEC model was essentially the same as the DAMBRK
modal when the same number of cross-sections were used. This
study was madea by Dr. Roger Smith at the University of Missouri,
Rolla, Mo. The implicit dynamic routing technique that was used
in the study treated the flow in the left flood plain, right
flood plain, and channel separately and simultaneously in a one-
dimensional sense as the HEC model does for the steady backwater
computations. However, DANBRK does this for the unsteady flow
computations as described in the accompanying write-up. This
allows the model to directly simulate the effects of overbank
flows short—circuiting through the flood plains when the channel
meanders through the valley.



